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1. INTRODUCTION

1.1 Purpose

There are no modifications to the Guidelines or Commentary of Section 1.1 at this time.

1.2 Scope

There are no modifications to the Guidelines or Commentary of Section 1.2 at this time.

1.3 Background

Following the January 17, 1994 Northridge, Cdifornia Earthquake, more than 100 stedl buildings
with welded moment-resisting frames were found to have experienced beam-to-column connection
fractures. The damaged structures cover awide range of heights ranging from one story to 26 stories,
and awide range of ages spanning from buildings as old as 30 years of age to structures just being
erected at the time of the earthquake. The damaged Structuresare were oread over alarge
geographical area, including stes that experienced only moderate levels of ground shaking. Although
relatively few such buildings were located on stesthat experienced the strongest ground shaking,
damage to these buildings was quite severe. Discovery of these extensive connection fractures, often
with little associated architectura damage to the buildings, washasbeen darming. The discovery has
also caused some concern that smilar, but undiscovered damage may have occurred in other buildings
affected by past earthquakes. Indeed, there are now confirmed iselated-reports of such damage. In
particular, a publicly owned building at Big Bear Lake IS%H@%#H%@%%% wasdamaged bythe
Lar\dersBlg Bear Callfornla sequence of earthquakes, ' i

several buildings were d@ed durlng the 1989 Loma Prleta
> in the San Francisco Bay Area

WSMF congtruction is used commonly throughout the United States and the world, particularly
for mid- and high-rise congtruction. Prior to the Northridge Earthquake, this type of construction was
congdered one of the most seismic-resstant structural systems, due to the fact that severe damage to
such structures had rarely been reported in past earthquakes and there was no record of earthquake-
induced collapse of such buildings, constructed in accordance with contemporary US practice.
However, the widespread severe structural damage which occurred to such structuresin the
Northridge Earthquake caledsfor re-examination of this premise.

The basic intent of the earthquake resistive design provisons contained in the building codesisto
protect the public safety, however, thereisaso an intent to control damage. The developers of the
building code provisions have explicitly set forth three specific performance goals for buildings
designed and constructed to the code provisons (SEAOC - 1990). These are to provide buildings with
the capacity to

resst minor earthquake ground motion without damage;
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resst moderate earthquake ground motion without structural damage but possibly some
nonstructural damage; and

resst mgor levels of earthquake ground motion, having an intengity equa to the strongest
either experienced or forecast for the building site, without collapse, but possibly with some
gructura as well as nonstructura damage.

In general, WSMF buildings in the Northridge Earthquake met the basic intent of the building

codes, to protect life safety. However, the ground shaking intensity experienced by most of these
buildings was sgnificantly less than that anticipated by the building codes. Many buildings that
experienced moderate intensity ground shaking experienced significant damage that could be viewed as
failing to meet the intended performance goals with respect to damage control. Further, some
members of the engineering profession (SEAOC - 1995b) and government agencies (Seismic Safety
Commission - 1995) have stated that even these performance gods are inadequate for society’s current
needs.

WSMF buildings are designed to resst earthquake ground shaking based on the assumption that
they are capable of extensve yielding and plastic deformation, without loss of strength. The intended
plastic deformation is intended to be developed through a combination of esrsigtsef plagtic rotations
developing within the beams, at their connections to the columns, and plastic shear yielding of the
column panel zones,. areHistT heoretically these mechanisms should be capable of resulting in benign
disspation of the earthquake energy dedlivered to the building. Damage is expected to consst of
moderate yielding and localized buckling of the stedl elements, not brittle fractures. Based on this
presumed behavior, building codes require aminimum lateral design strength for WSMF structures that
is gpproximately 1/8 that which would be required for the structure to remain fully elastic.
Supplemental provisions within the building code, intended to control the amount of interstory drift
sugtained by these flexible frame buildings, typically result in structures which are substantialy stronger
than this minimum requirement and in zones of moderate seismicity, substantial overstrength may be
present to accommodate wind and gravity load design conditions. In zones of high seismicity, most
such structures designed to minimum code criteriawill not start to exhibit plastic behavior until ground
motions are experienced that are 1/3 to 1/2 the severity anticipated as adesign basis. Thisdesign
approach has been developed based on hitorical precedent, the observation of stedl building
performance in past earthquakes, and limited research that has included laboratory testing of beam-
column models, dbeit with mixed results, and non-linear anaytical studies.

Observation of damage sustained by buildings in the Northridge Earthquake indicates that contrary
to the intended behavior, in some rrary-cases brittle fractures initiated within the connections at very
low levels of plastic demand, and in some cases, while the structures remained essentialy eladtic.
Typicdly, but not dways, fracturesinitiated at, or near, the complete joint penetration (CJP) weld
between the beam bottom flange and column flange (Figure 1-1). Onceinitiated, these fractures
progressed adong a number of different paths, depending on the individua jomt and str&ﬂs condltlons
Fgure 1-1 |nd|cat$ Just one of theﬁe potentlal fracture grovvth patterns ' :
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Once fracturesinitiated in beamcolumn Jomts they
progreeed ina number of dn‘ferent Ways

eS M thefractur&s progressed
completely-directly through thethlckn&esof theweld and if firegproofing was removed, the fractures

were evident as a crack through exposed faces of the weld, or the metd just behind the weld (Figure 1-
2a). Other fracture patterns aso developed. 1n some cases, the fracture developed into a surface that
resembled a through-thickness failure of the column flange materia behind the CIP weld (Figure 1-2b).

In these cases, a portion of the column flange remained bonded to the beam flange, but pulled free
from the remainder of the column. Thisfracture pattern has sometimes been termed a“divot” or
“nugget” failure.

A number of fractures progressed completely through the column flange, along a near horizontal
plane that aligns approximately with the beam lower flange (Figure 1-34). 1n some cases, these
fractures extended into the column web and progressed across the panel zone Figure (1-3b).
Investigators have reported some ingtances where columns fractured entirely across the section.

a Fracture at Fu%d Zone b. Column Flange “ Divot” Fracture

Flgurel 2- Fractur&sof Beam to Column Joints

a Fractur&sthrough Column Flange b. Fracture Progressesinto Column Web

Figure 1-3 - Column Fractures
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Once these fractures have occurred, the beam - column connection has experienced a Sgnificant
loss of flexural rigidity and capacity. Resdual flexural strength and rigidity must be developed through
acouple conssting of forces tranamitted through the remaining top flange connection and the web
bolts. +aitiarResearch suggests that residual stiffnessis approximately 20% of that of the undamaged |
connection and that resdua strength varies from 10% to 40% of the undamaged capacity, when
loading results in tensile stress normal to the fracture plane. When loading produces compression
across the fracture plane, much of the origina strength and stiffness remain. However, in providing
thisresidual strength and stiffness, the beam shear connections can themsalves be subject to failures,
conggting of fracturing of the welds of the shear plate to the column, fracturing of supplementa welds
to the beam web or fracturing through the weak section of shear plate aligning with the bolt holes
(Figure 1-4).

Figure 1-4 - Vertical Fracturethrough Beam Shear Plate Connection

It is now known that these fractures were the result of a number of complex factors that were not

well understood either when these connections were first adopted as a standard design approach, or
when the damage was discovered immediately following the Northridge earthquake. Engineers had
commonly assumed that when these connections were loaded to yield levels, flexura stressesin the
beam would be transferred to the column through a force couple comprised of nearly uniform yield
level tensile and compressive sresses in the beam flanges. [t was Similarly assumed that nearly al of
the shear dressin the beam was transferred to the column through the shear tab connection to the
beam web. In fact, the actua behavior is quite different from this. Asaresult of loca deformations

that occur in the column at the location of the beam connection, a Significant portion of the shear stress
in the beam is actually transferred to the column through the beam flanges. This causes large localized

secondary stresses in the beam flanges, both at the toe of the weld access hole and aso in the complete
joint penetration weld at the face of the column. The presence of the column web behind the column

flange tends to locdly dtiffen the joint of the beam flange to the column flange, further concentrating
the distribution of connection stresses and strains. Finally, the presence of the heavy beam and column

e plates, arangedina“+” tern at the beam flange to column flange joint produces a
condition of very high regtraint, which retards the onset of yieldi raising the effective yield
strength of the material, and alowing the development of very large stresses.
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The most severe stressestypicaly occur at the root of the complete joint penetration weld of the
beam bottom flange to the column flange. This s precisely the region of thiswelded joint that is most

difficult for the welder to properly complete, as the accessto the weld is restricted by the presence of
the beam web and the welder often performs this weld while seated on the top flange, in the so-called
“wildcat” postion. The welder must therefore work from both sides of the beam web, starting and
terminating the weld near the center of the joint, a practice that often resultsin poor fuson and the
presence of dag inclusons at thislocation. These conditions, which are very difficult to detect when
the weld backing isleft in place, as wasthe typical practice, arer -made crack initiators. When this
region of the welded joints is subjected to the large concentrated tensile stresses, the weld defects begin
to grow into cracks and these cracks can quickly become unstable and propagate as brittle fractures.

Once these brittle fracturesinitiate, they can grow in avariety of patterns, as described above, under
the influence of the stress field and the properties of the base and weld metals present at the zone of the

fracture.

Despite the obvious loca strength impairment resulting from these fractures, many dameged
buildings did not display overt Signs of structura damage, such as permanent drifts or extreme damage
to architectural elements. Until news of the discovery of connection fractures in some buildings began
to spread through the engineering community, it was relatively common for engineersto perform
cursory post-earthquake evauations of WSMF buildings and declare that they were undamaged. In
order to reliably determine if a building has sustained connectlon damage |t is necessary to remove
archltecturd finishes and flreprooflng and perform : ;

cases, bv nond&structlve testlnq Even if no damage |sfound thlSlsacostIy proceﬂs Repar of
damaged connectlons IS even more costly. AVSN, ;

In the case of one WSMF building, damaqed bv the Northrldqe earthcluake repair costs were

aufficiently large that the owner elected to demolish rather than replace than building.

Immediately following the Northridge Earthquake, a series of tests of beam-column subassemblies
were performed at the University of Texas at Austin, under funding provided by the AISC aswell as
private sources. The test specimens used heavy W14 column sections and deep (W36) beam sections
commonly employed in some Cdifornia congtruction. Initial specimens were fabricated using the
standard prequdified connection specified by the Uniform Building Code (UBC). Section 2211.7.1.2
of UBC-94 { NEHRP-91 Section 10.10.2.3} specified this prequaified connection asfollows:

“2211.7.1.2 Connection grength. The girder top column connection may be conddered to be adequate
to develop the flexurd strength of the girder if it conformsto the following:

1. theflanges have full penetration butt weldsto the columns.
2. thegirder web to column connection shall be capable of resisting the girder shear determined for the
combination of gravity loads and the seismic shear forces which result from compliance with Section

2211.7.2.1. Thisconnection strength need not exceed that required to develop gravity loads plus
3(R./8) timesthe girder shear resulting from the prescribed seismic forces.
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Where the flexural srength of the girder flangesis greater than 70 percent of the flexura strength of
the entire section, (i.e. bty/(d-t)F,>0.7Z,F,) the web connection may be made by means of welding or
high-gtrength bolting.

For girders not meeting the criteria in the paragraph above, the girder web-to-column connection shdll
be made by means of welding the web directly or through shear tabsto the column. That welding shall
have a srength capable of developing at least 20 percent of the flexura strength of the girder web. The
girder shear shall be resisted by means of additional welds or friction-type dip-critical high strength bolts
or both.

and:

2211.7.2.1 Strength. The pandl zone of the joint shall be capable of ressting the shear induced by beam
bending moments due to gravity loads plus 1.85 times the prescribed seismic forces, but the shear
strength need not exceed thet required to develop 0.8SM; of the girders framing into the column flanges
at thejoint...”

In order to investigate the effects that backing bars and weld tabs had on connection performance,
these were removed from the specimens prior to testing. Despite these precautions, the test specimens
falled at very low levels of plagtic loading. Following thesetests at the University of Texas at Audtin,
reviews of literature on historic tests of these connection types indicated a Sgnificant failure rate in past
tests aswell, athough these had often been ascribed to poor quality in the specimen fabrication. It was
concluded that the prequdified connection, specified by the building code, was fundamentaly flawed
and should not be used for new congtruction in the future.

In retrospect, this concluson may have been somewhat premature. More recent testing of
connections having configurations similar to those of the prequdlified connection, but incorporating

tougher weld metals, having backing bars removed from the bottom flange joint, and fabricated with
greater care to avoid the defects that can result in crack initiation, have performed better than those
initialy tested at the University of Texas. However, as a class, when fabricated using currently

prevailing construction practice, these connections till do not appear to be capable of consstently
deveoping the levels of ductility presumed by the building codes for service in moment-resisting frames
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In reaction to the University of Texas tests aswell as the widespread damage discovered following
the Northridge Earthquake, and the urging of the California Seismic Safety Commission, in September,
1994 the Internationa Conference of Building Officials (ICBO) adopted an emergency code changeto
the 1994 edition of the Uniform Building Code (UBC-94) {1994 NEHRP Recommended Provisions
Section 5.2}, This code change, jointly developed by the Structural Engineers Association of
Cdlifornia, AlSI and ICBO saff, deleted the prequdified connection and substituted the following inits
place:

“2211.7.1.2 Connection Strength. Connection configurations utilizing welds or high-strength
bolts shall demonstrate, by approved cyclic test results or calculation, the ability to sustain
inelastic rotation and develop the strength criteriain Section 2211.7.1.1 considering the effect of
stedl overstrength and strain hardening.”

“2211.7.1.1 Required strength. The girder-to-column connection shall be adequate to develop the
lesser of the following:

1. Thestrength of the girder in flexure.

2. Themoment corresponding to development of the panel zone shear strength as determined from
formula 11-1."

Unfortunately, neither the required “inelastic rotation”, or calculation and test procedures are well
defined by these code provisons. Design Advisory No. 3 (SAC-1995) included an Interim
Recommendation (SEAOC-1995) that attempted to clarify the intent of this code change, and the
preferred methods of design in the interim period until additional research could be performed and
reliable acceptance criteriafor designs re-established. The State of Cdliforniasmilarly published ajoint
Interpretation of Regulations (DSA-OSHPD - 1994) indicating the interpretation of the current code
requirements which would be enforced by the state for congtruction under its control. This applied
only to the congtruction of schools and hospitals in the State of Cdlifornia. The intent of these Interim
Guidelinesis to supplement these previoudy published documents and to provide updated
recommendations based on the results of the limited directed research performed to date.

1.4 The SAC Joint Venture

There are no modifications to the Guidelines or Commentary of Section 1.4 at this time.

1.5 Sponsors

There are no modifications to the Guidelines or Commentary of Section 1.5 at this time.

1.6 Summary of Phase 1 Research

There are no modifications to the Guidelines or Commentary of Section 1.6 at this time.
1.7 Intent
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There are no modifications to the Guidelines or Commentary of Section 1.7 at this time.

1.8 Limitations

There are no modifications to the Guidelines or Commentary of Section 1.8 at this time.

1.9 Use of the Guidelines

There are no modifications to the Guidelines or Commentary of Section 1.9 at this time.
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